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ABSTRACT 

 

The purpose of this research is to better understand the collapse resistance mechanisms of 

reinforced concrete buildings.  A building must have sufficient strength, ductility and 

redundancy to resist collapse and ensure life safety.  Extreme loading events, such as 

earthquakes and explosions, may cause severe local damage that triggers a chain reaction 

of large-scale structural failure or progressive collapse such as in the Oklahoma City 

building and the World Trade Center.  Currently, resisting progressive collapse is 

generally outside the design considerations for ordinary buildings due to a lack of 

information on how to economically provide that resistance.  Reinforced concrete frame 

structures, however, may possess inherent structural redundancy and ability to withstand 

collapse if the structure is properly detailed to provide alternative resistance mechanisms.  

A more accurate progressive analysis procedure that takes into account alternative 

collapse resisting mechanisms will lead to the identification of detailing requirements that 

could be implemented economically on new buildings (regardless of whether a 

progressive collapse analysis was conducted) or retrofit measures for existing buildings 

and therefore ensure a limited ability to resist collapse and save lives. 

 

Collapse resisting mechanisms studied in this research include catenary action, 

Vierendeel action, compressive arch action, and contributions from infill walls.  Typical 

progressive collapse analysis procedures do not usually consider these mechanisms 

because they are not well understood.  This research tested a series of three quarter scale 

two bay by two story frames.  The column between the two bays was removed to 
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simulate a collapse scenario.  The design of the three frames consisted of discontinuous 

reinforcement, continuous reinforcement, and infill walls placed in the bays.  Although a 

typical flexural analysis of the frame with discontinuous reinforcement would indicate 

that it had little load capacity, it was able to reach a load of 2.34 kips under compressive 

arch action and 8.19 kips under catenary tension.  The frame with continuous 

reinforcement reached a load of 5.81 kips under the flexural action.   However, due to 

limited rotational capacity of the hinge regions, the reinforcement fractured and 

continuity was lost.  Upon further loading, the frame reached 8.30 kips under catenary 

tension.  The frame with the infill wall did not perform significantly different than the 

discontinuous reinforcement frame indicating that the partial height infill wall did little to 

improve the collapse resistance of the frame.  The results show that both compressive 

arch and catenary action are viable resistance mechanisms in frames under a collapse 

loading, and if incorporated into design guidelines could reduce the required sizes and 

reinforcement of structural members. 
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1. INTRODUCTION 

 

Most reinforced concrete buildings have not been designed for the loads that can result in 

a progressive or disproportionate collapse such as those from an earthquake, explosion, or 

vehicle/aircraft collision.  Although these are rare occurrences, they can lead to severe 

consequences such as huge losses of life.  This has been demonstrated by the collapse of 

several buildings such as the Ronan Point Apartment Building in England in 1968, the 

Murrah Building in Oklahoma City in 1995 and the World Trade Center towers in New 

York in 2001.  Due to these infamous events, research on progressive collapse has gained 

a lot of momentum over the last decade. 

 

The General Services Administration defines progressive collapse as an event when a 

“local failure of a primary structural component leads to the collapse of adjoining 

members” which results in further collapse (GSA, 2003).  Therefore, a “domino” effect 

takes place and the eventual destruction is disproportionate to the original cause. 

 

Typically only resistance from flexural action (bending in the beams) is considered in 

collapse design.  However, reinforced concrete buildings can resist progressive collapse 

through a variety of mechanisms.  These alternate resistance mechanisms include 

catenary action, Vierendeel action, compressive arch action, and contributions from infill 

walls.  Catenary action, or membrane action, is the resisting of vertical forces through 

horizontal tension in members undergoing extreme deflection.  Vierendeel action, or 

frame action, is the resisting of forces through moment connections at beams and 
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columns.  Compressive arch action uses axial restraint of the surrounding structure to 

keeps beams from rotating and thus forming a compressive arch.  Infill walls create 

additional stiffness to help resist vertical forces. 

 

Alternative collapse resistance mechanisms have been given little regard in current 

progressive collapse guidelines due to limited information on their effectiveness and the 

inability to calculate capacities (DoD, 2009; GSA, 2003).  There are provisions requiring 

general structural integrity such as those in ASCE 7 (2005) and ACI 318 (2005), but there 

is no specific mention of progressive collapse resistance.  However, alternative 

mechanisms may provide enough extra capacity to the building to prevent a complete 

collapse or at least delay the inevitable so that lives can be saved.  This has been 

demonstrated by the fact that a number of reinforced concrete buildings have been able to 

withstand progressive collapse after the loss of one or several supports due to accidental 

loads because of these actions (Sasani and Kropelnicki , 2007; Sucuoglu et al., 1994).  

Therefore, research needs to be done to better understand the effect of alternate resistance 

mechanisms and hopefully save lives in the future. 

 

1.1. Problem 

Currently, there is a very limited amount of information and research on alternative 

resistance mechanisms of reinforced concrete buildings.  Because of this lack of 

information, there are very few guidelines on how to resist progressive collapse.  

Therefore, the goal of this research is to better understand the effects of various resistance 
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mechanisms of reinforced concrete buildings.  The ultimate goal is to one day create a set 

of guidelines on how to best resist progressive collapse. 

 

1.2. Objectives and Research Approach 

The main objective of this research is to better understand the collapse resistance 

mechanisms of reinforced concrete buildings.  The effects of these resistance mechanisms 

need to be studied because they are often not considered in analysis, there is evidence of 

their effectiveness, and there is a lack of understanding on how to determine their 

capacities. 

 

The alternative collapse resisting mechanisms to be evaluated in this research include 

catenary action, Vierendeel action, compressive arch action, and contributions from infill 

walls.  Each of these mechanisms was described in the introduction part of this thesis.  

This research tested a series of three quarter scale two bay by two story frames.  The 

column between the two bays was removed to simulate a collapse scenario.  The three 

frames were the discontinuous reinforcement frame based on the 1971 ACI 318 code, the 

continuous reinforcement frame based on the 2008 ACI 318 code, and the discontinuous 

reinforcement frame with infill walls placed in the top bays.  These test frames were 

placed in a reaction frame and loaded at the center over the location of the removed 

column. 
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1.3. Outline 

This research is organized into 5 chapters.  Following the introduction, Chapter 2 reviews 

the relevant literature pertaining to progressive collapse in reinforced concrete buildings, 

historical examples of progressive collapse, design methods and approaches to resisting 

progressive collapse, types of collapse resistance mechanisms, and previous research 

performed on progressive collapse.  Chapter 3 describes the setup of the experiment 

including design considerations for the reaction frame, instrumentation and design details 

of the reinforced concrete frames.  Chapter 4 goes into detail over the results of the all the 

tests performed and compares the various designs while chapter 5 presents the overall 

conclusions of this research.  The document concludes with a list of the references cited 

in this research. 
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2. LITTERATURE REVIEW 

 

Previous studies have been performed to better understand progressive collapse.  They 

include analysis of actual building collapses and laboratory testing.  This chapter will 

review relevant literature pertaining to progressive collapse in reinforced concrete 

buildings, alternative mechanisms resisting progressive collapse, and laboratory testing of 

reinforced concrete.  Furthermore, this chapter will look at the current design guidelines 

for progressive collapse. 

 

2.1. Progressive Collapses 

A number of reinforced concrete structures have suffered from progressive collapse in 

recent history.  The collapse of the Ronan Point Tower in 1968 in the Canning Town area 

of London, England is probably one of the most famous cases.  This accident was started 

by a gas stove leak in apartment 90 on the 18th floor.  The end result was a collapse of the 

southeast corner bay of the building from top to bottom as shown in Figure 2.1.1.  The 

Ronan Point Tower was a 22-story residential apartment building that consisted of 

precast panels joined together without a structural frame.  Due to poorly designed 

connections between the walls and floor, there were no alternate load paths to redistribute 

the forces in the event of a partial collapse.  Since the collapse of the southeast corner of 

the Ronan Point Tower, there have been changes to building codes of the United 

Kingdom and other parts of the world to help prevent such tragedies from happening 

again (Pearson and Delatte, 2005).  An example of these changes is that precast concrete 

structures in the United Kingdom are required to be tied together so that they can either 
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because of the existence of moment connections and the interaction of beams with 

columns and infill walls.  Based on experimental data, the development of bidirectional 

Vierendeel action was identified as a major mechanism in the redistribution of loads in 

the building.  Furthermore, infill walls provided the beams with constraints and supports 

to help carry additional loads.  Thus, the Vierendeel mechanism, along with the increased 

stiffness from infill walls, contributed to the resistance of a building collapse (Sasani and 

Sagiroglu, 2007). 

 

2.3.3. Compressive Arch Action 

Another mechanism for resisting progressive collapse is compressive arch action.  

Compressive arch action is formed when an in-plane compressive force develops because 

the axial restraint from the surrounding structure keeps the beams from rotating.  This can 

be increased with contributions from infill walls which provide additional stiffness.  Su et 

al. (2009) performed research on compressive arch action in beams and found that the 

additional load provided by the compressive arch action in the beams was between 1.53 

and 2.63 times that of the flexural capacity of the beams with the greatest increases being 

for the specimens with the lower span to depth ratios.  

 

2.4. Previous Research 

There is not much previous research on progressive collapse of reinforced concrete 

structures.  Most of this research is focused on catenary action in reinforced concrete 

beams.  In the 1970s, research was conducted by Regan (1975) at Imperial College in 

London, England.  He tested precast floor strips that were 14 in. to 28 in. wide and 18 ft. 
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In 2007, Orton tested eight beams to evaluate different load paths in order to develop 

continuity and catenary action in reinforced concrete beams.  The specimens were half-

scale reinforced concrete beams that were 30 ft. long, 6 in. wide by 12 in. deep.  The 

reinforcement consisted of #3 and #4 bars which is almost equivalent to half-scale 

versions of the prototype beam.  One test found that beams with discontinuous 

reinforcement were able to transfer tension forces for catenary action from the positive 

moment bars to the negative moment bars through the stirrups (Orton, 2007). 

 

The axial load and vertical load vs. displacement response (Figure 2.4.4) shows a 

compressive arch phase until about 14 in. of deflection followed by a catenary tension 

phase.  Although with discontinuous reinforcement the beam would have little or no 

flexural capacity, it was able to reach a load of 2.3 kips per loading point in compressive 

arch action and 5.2 kips in catenary action.  The test was then stopped at 25 in. of 

deflection due to limitations in the test setup (Figure 2.4.5). 
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fractured as well.  After the loss of continuity, the beam was still able to carry increasing 

load through catenary tension. 

 

 

Figure 2.4.6:  Vertical and axial loads vs. center displacement for beams with continuous 
reinforcement (Orton, 2007). 

 

Orton concluded that the catenary action begins after the beam has formed a failure 

mechanism, or that the beam is no longer able to sustain additional vertical loads in a 

flexural manner.  Orton further mentioned that a reinforced concrete beam can be 

modeled as rigid rectangular blocks between the hinge locations and that the deflection at 

which catenary action begins is directly dependent on the height of the beam.  Finally, 

Orton found that the stiffness is dependent on the axial elongation of the beam, which is 

largely dependent on the length of the beam and yielding in the beam (Orton, 2007). 
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2.5. Standards 

The first implementation of standards for progressive collapse was introduced in the U.K. 

after the 1968 collapse of Ronan Point (NIST, 2007).  The British Standards required 

consideration of progressive collapse in buildings taller than five stories and provisions 

for structural ties.  In the 1970’s, the U.S. Department of Housing and Urban 

Development’s Operation Breakthrough examined the problem of progressive collapse in 

the U.S., focusing on concrete panel structures.   Starting in the 1980’s, design standards 

in the U.S., such as the ACI code, began to implement structural integrity provisions.  

Additionally, ASCE 7 implemented some provisions for general structural integrity.  

However, these standards did not include specific provisions for resistance against 

progressive collapse (NIST, 2007).   

 

Agencies of the U.S. government, Department of Defense (DoD) and General Services 

Administration (GSA), have developed some design requirements for progressive 

collapse (DoD, 2009; GSA, 2003).  Generally, standards for progressive collapse 

consider three types of approaches: 

 Indirect Design:  emphasizes strength, continuity, redundancy and ductility; relies 

on integrated system of tie forces 

 Direct Design – Alternate Load Path: analyze structure for instantaneous loss of a 

vertical load bearing member, and provide redundant or alternate load path to 

bridge over failed member; analysis can account for plastic or large deformations 

including catenary or membrane action 



23 
 

 Direct Design – Specific Local Resistance: each member is designed to resist a 

specific threat 

 

The DoD document Design of Buildings to Resist Progressive Collapse (2009) considers 

both indirect and direct design approaches.  For buildings requiring a low level of 

protection, a system of minimum tie forces is required (Figure 2.5.1).  For example, in 

reinforced concrete buildings the peripheral ties are required to have the strength of: 

Tie Force = Lesser of (4.5 + 0.9*number of stories) or 13.5 kips 

Similar requirements exist for other types of ties, and more information can be found in 

the DoD document.  

 

The direct design approach appears both in the DoD document and the GSA Progressive 

Collapse Analysis and Design Guidelines (2003).  Both require the structure to survive 

the removal of a primary structural component, such as an external column.  For static 

analysis, the loads placed on the structure include a factor for dynamic amplification due 

to the falling nature of the structure.  The static load combinations are given in Table 

2.5.1.  For the GSA guidelines, this amplification factor is 2 while the DoD factor of ΩN 

was calculated to be 1.09 for these particular test frames.  Some research has indicated 

that the amplification factor could be 1.5 (Ruth et al., 2006).  The increased loads must be 

placed in a tributary area surrounding the removed element. 
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guidelines state “providing continuous bottom reinforcing steel across the connection is 

essential to accommodating the double span condition.”   However, many older buildings 

do not have continuous top or bottom reinforcing bars.  The integrity of reinforcement 

provisions requiring continuous bottom bars were not added until the 1989 ACI building 

code.  The current ACI 318 (2008) Chapter 7 integrity of reinforcement provisions are: 

7.13.1—In the detailing of reinforcement and connections, members of 

a structure shall be effectively tied together to improve integrity of the 

overall structure. 

7.13.2.2—Beams along the perimeter of the structure shall have 

continuous reinforcement consisting of: 

a) at least one-sixth of the tension reinforcement required for 

negative moment at the support, but not less than two bars; and 

b) at least one-quarter of the tension reinforcement required for 

positive moment at midspan, but not less than two bars. 

Furthermore, the commentary states that “by making a portion of the bottom 

reinforcement continuous, catenary action can be provided.”  However, these provisions 

are not designed to resist progressive collapse.  They are just general “good building 

practices” for structural integrity.  There is no assurance that continuity will provide 

catenary action or resist progressive collapse. 
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3. EXPERIMENT SETUP 

 

This research considered 3 different frame designs to evaluate the capacity of the 

alternative resistance mechanisms as shown in Table 3.1. 

 

Table 3.1:  Test Frame Matrix 

Test  Frame  Details  

1  Discontinuous Reinforcement 
Frame  

Control frame based on 1971 ACI 
code  

2  Continuous Reinforcement 
Frame  

Modern frame based on 2008 ACI 
code  

3  Infill Wall Frame  Addition of infill walls 

 

 

There were many stages within the process of this research.  This chapter describes the 

design of the reinforced concrete test frames, construction of the test frames, design of 

the reaction frames, and construction of the reaction frames. 

 

3.1. Design of the Full Scale Reinforced Concrete Frames 

The first step in designing the test frames was to determine the design of typical office 

buildings designs in the United States.  This building design will be used for the 

prototypical frame which will be quarter scaled down for the test frames.  After looking 

at several examples, it was determined that our model building footprint would be 6 bays 

by 4 bays on 24 feet center-to-center spacing.  The building would have 6 stories and 

each story would be 12 feet tall. 
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The reinforced concrete building would have one-way girders with joists.  The concrete 

used would have a unit weight of 150 lbs/ft3 and a compressive strength of 4,000 psi.  

The columns were designed as 22 in. by 22 in. square columns.  The interior girders were 

designed as 36 in. by 18in. rectangular beams while the spandrel or exterior girders were 

designed as 24 in. by 12 in. rectangular beams.  The joists were designed as 16 in. by 8 

in. rectangular beams and the floors were designed as 6 in. thick slabs.  All of the 

reinforcement was designed with yield strength of 60 ksi. 

 

The model building was designed to withstand the loading conditions of a typical office 

building.  Therefore, an additional dead load of 30 psf and a live load of 50 psf were 

applied to every floor.  These were the only loading conditions considered for the 

purposes of this research.  All of this information was placed into the structural modeling 

program RISA 3D as shown in Figure 3.1.1. 
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8 #10 bars

22.0"

22.0"

Ties: #4 bar at 18" spacing

Column Cross-Section

 

Figure 3.1.2:  Column cross-section for full scale frame 

4 #8 bars

Ties: #3 bar at 6" spacing

3 #8 bars

Beam Cross-Section at Negative
Moment Reinforcement

2 #8 bars

24.0"

12.0"

Ties: #3 bar at 6" spacing

3 #8 bars

24.0"

12.0"

Beam Cross-Section at Positive
Moment Reinforcement

 

Figure 3.1.3:  Beam cross-section for full scale frame 
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R 0.75"

1.5"
R 1.0"

1.5"

3.0"

2.25"

 

Figure 3.1.4:  Transverse reinforcement detailing for full scale frame 

 

These cross-sections are the full scale representation for all three of the test frames.  The 

control specimen was based on the 1971 ACI code which called for different lengths of 

positive and negative reinforcement than the 2008 ACI code.  The main difference 

between the two codes is that 1971 code did not require continuous reinforcement in 

perimeter frames.  But the shear or transverse reinforcement for the beams was the same 

for both codes.  Also, all of the column reinforcement requirements were the same for 

both codes. 

 

The reinforcement layout for the full scale frame based on the 1971 ACI code is shown in 

Figure 3.1.5 and Figure 3.1.6.  As stated before, the columns contained 8 #10 bars with 

38 in. lap splices located just above the bottom beams.  The positive moment 

reinforcement included 3 #8 bars for the middle 19.42 ft. of the beams with the 2 outer 
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bars extending 6 in. into the columns.  The cutoff point for the middle #8 bar was 

determined by the inflection point location of the positive moment graph (7.92 ft.) plus d 

(21.5 in) as stated by the ACI code.  Adding these two values together and doubling the 

length gave 19.42 ft.  The 1971 ACI code did not call for the positive moment 

reinforcement to extend all the way through the columns.  As for negative moment 

reinforcement, 2 #8 bars would extend 86 in. from the face of the column while the 2 

outer #8 bars would only extend 49 in.  The 86 in. value was determined from the 

inflection point location of the negative moment graph (63.84 in.) plus d (21.5 in.).  The 

49 in. value was determined from the location of the half-way point of the maximum of 

the negative moment graph (26.6 in.) plus d (21.5 in.).  The 1971 ACI code did not call 

for any of the negative moment reinforcement to be continuous.  The outer ends of these 

bars were extended and hooked 12 in. down into the outer columns.  As for the shear 

reinforcement, the columns contained #4 stirrups every 18 in.  The beams had 19 #3 

stirrups in each end every 6 in.  Thus, there were 38 stirrups in every beam. 
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86"

12'

38"

24'

12'

24'

12"

49"

19.42'

1 #8 bar

2 #8 bars
19.42'

6" 6"

2 #8 bars

2 #8 bars

2 #8 bars

2 #8 bars

86"

49"

86"

49"49"

86"
2 #8 bars

2 #8 bars

 

Figure 3.1.5:  Longitudinal reinforcement layout for full scale discontinuous frame 

 

9"

9"

18"

18"

#4 column tie

#3 stirrup

6"3"

 

Figure 3.1.6:  Transverse reinforcement layout for full scale discontinuous frame 
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3.2. Design of the Discontinuous Reinforcement Test Frame 

At this point, the full scale frame had been designed and detailed according to the 1971 

ACI code.  The next step was to scale the frame to one-quarter of the size based on 

length.  Thus the columns became 5.5 in. by 5.5 in. and the beams became 6 in. by 3 in.  

By quarter scaling the length, the area of concrete is scaled down to one-sixteenth of the 

original.  As for the reinforcement, the scaling was based on the diameter of the bars.  

Unfortunately, the scaling of the bars was not as exact as the concrete due to the limited 

number of bar sizes.  For the column reinforcement, the 8 #10 bars (1.27 in. diameter) 

were scaled to 6 #3 bars (0.375 in. diameter).  For the beam reinforcement, all of the #8 

bars (1.0 in diameter) were scaled to #2 or D5 bars (0.25 in. diameter).  The cold drawing 

manufacture process of small reinforcing bars generally reduces their ductility and 

eliminates the yield plateau.  Therefore, the #2 bars were all heat treated to preserve 

ductility, and their ultimate tensile strength was about 90 ksi.  The #3 (0.375 in. diameter) 

and #4 bars (0.5 in. diameter) for the shear reinforcement were all scaled down to D2 

bars.  When it comes to area of the bars, the scaled beam bars were one-sixteenth the 

original, but the scaled column bars were about one-twelfth the original.  These were the 

closest matches based on availability.  The quarter scale cross-sections are shown in 

Figure 3.2.1, Figure 3.2.2 and Figure 3.2.3. 
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6 #3 bars

5.5"

5.5"

Ties: D2 bar at 4.5" spacing

Column Cross-Section

 

Figure 3.2.1:  Column cross-section for quarter scale frame 

4 #2 or D5 bars

Ties: D2 bar at 1.5" spacing

3 #2 or D5 bars

Beam Cross-Section at Negative
Moment Reinforcement

6.0"

3.0"

Ties: D2 bar at 1.5" spacing

6.0"

3.0"
2 #2 or D5 bars

3 #2 or D5 bars

Beam Cross-Section at Positive
Moment Reinforcement

 

Figure 3.2.2:  Beam cross-section for quarter scale frame 
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6.0"

3.0"

0.5625"

0.375"

0.375"

R 0.1875"

R 0.25"

0.375"

0.75"

5.5"

 

Figure 3.2.3:  Transverse reinforcement detailing for quarter scale frame 

 

The quarter scale discontinuous reinforcement frame is shown in Figure 3.2.4 and Figure 

3.2.5.  As with everything else, the length of the bars was scaled down to one-quarter of 

the length.  The columns contained 6 #3 bars with 9.5 in. lap splices.  The positive 

moment reinforcement included 3 #2 bars for the middle 58 in. of the beams with the 2 

outer bars extending 1.5 in. into the columns.  As for negative moment reinforcement, 2 

#2 bars would extend 21.5 in. from the face of the column while the 2 outer #8 bars 

would only extend 12 in.  The outer ends of these bars were extended and hooked 3 in. 

down into the outer columns.  As for the shear reinforcement, the columns contained D2 

stirrups every 4.5 in and the beams had 19 D2 stirrups on each end every 1.5 in. 
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1 #2 bar

2 #2 bars

2 #2 bars

2 #2 bars
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2 #2 bars

2 #2 bars

2 #2 bars

3'

3'

6' 6'

8"

3"

9.5"

21.5"

12"

58"
1.5"

2'-6"

9"

6"

3 #3 bars3 #3 bars

Lap
Splice

Hook
Length

#3 stirrups at 3" spacing

3 #3 bars3 #3 bars

1 #2 bar

2 #2 bars

 

Figure 3.2.4:  Design of discontinuous reinforcement test frame 

 

3'

3'

6' 6'

8"

2'-6"

9"

6"

#3 stirrups at 3" spacing

D2 stirrup

1.5"0.75"

2.25"

2.25"

4.5"

4.5"

6"

#4  hooked bar
    with threaded end

#3 bar at 1.5" spacing8"

5.5"

#3 bars from column reinforcement

2'-6"

5.5"

5.5"
6.125" 6.125"

hole for 1 1/16" inner dia. PCP pipe
1" dia. A325 threaded rod to go through

D2 column tie

Hook
Length

 

Figure 3.2.5:  Transverse reinforcement layout for discontinuous reinforcement test frame 
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In order to attach the test frame to the reaction frame and provide the needed axial 

resistance, #4 threaded bars were extended out of the beams.  One problem was that there 

was insufficient room for the development length of the hook.  Thus, a 6 in. long knob 

was added to the outer end of each of the beams to solve the problem as shown in Figure 

3.2.5.  The beam reinforcement extended and hooked into the knobs.  In order to provide 

moment resistance to the base of the columns, a 2 ft.-6 in. long by 8 in. high pedestal was 

added to the bottom of the two outer columns as shown in Figure 3.2.5.  This pedestal 

was the same thickness as the columns (5.5 in.).  The 6 #3 bars in each column extended 

and hooked through the bottom of the pedestals.  Also, 3 #3 bars were placed in the 

longitudinally in the top of the pedestals.  Stirrups made of #3 bars were placed in the 

pedestal at 3 in. spacing.  Two PCP pipes of 1.0625 in. inner diameter were placed each 

of the pedestals to allow threaded rods to go through and anchor the test frame to the 

structural floor.  The final modification of the test frames was that the bottom of the 

middle column was removed as shown in Figure 3.2.4.  This was done to simulate that it 

had been irrevocably damaged or destroyed. 

 

3.3. Design of the Continuous Reinforcement Test Frame 

The next step was to design the test frame based on the 2008 ACI code.  The column 

reinforcement for both the longitudinal and shear was not affected by this change.  The 

area of steel for the beams also remained the same.  The shear reinforcement for the 

beams remained the same as well.  What did change was the length of the longitudinal 

reinforcement for the beams.  While the 2 outer bars of the negative moment 

reinforcement were the same length as the previous frame, the 2 inner bars would extend 
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throughout the beams as called for in the 2008 ACI code.  Since this length would 

surpass the common maximum length of bars (40 ft.), a lap splice of 62 in. would be used 

in the full scale frame.  For the quarter scale frame, this would mean a 15.5 in. lap splice 

placed in the middle of the beams as shown in Figure 3.3.1.  As for the positive moment 

reinforcement, the shorter inner bar was the same length as the previous frame, but the 

2008 ACI code called for the outer 2 bars to extend continuously throughout the beams.  

Since this length also surpassed the common maximum length of bars, a lap splice would 

also be used.  These 15.5 in. lap splices for the quarter scale frame would be placed at the 

columns as shown in Figure 3.3.1. 

2 #2 bars

2 #2 bars

2 #2 bars

2 #2 bars

2 #2 bars

2 #2 bars

3'

3'

6' 6'

8"

3"

9.5"

15.5"

12"

58"

2'-6"

9"

6"

12"

3 #3 bars

15.5"

1 #2 bar

2 #2 bars

Lap Splice

Lap Splice

#3 stirrups at 3" spacing

3 #3 bars
3 #3 bars

3 #3 bars

2 #2 bars

1 #2 bar
Lap
Splice

Hook
Length

 

Figure 3.3.1:  Design of continuous reinforcement test frame 
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3'

3'

6' 6'

8"

2'-6"

9"

6"

#3 stirrups at 3" spacing

D2 stirrup

1.5"0.75"

2.25"

2.25"

4.5"

4.5"

6" Hook
Length

#4  hooked bar
    with threaded end

#3 bar at 1.5" spacing8"

5.5"

#3 bars from column reinforcement

2'-6"

5.5"

5.5"
6.125" 6.125"

hole for 1 1/16" inner dia. PCP pipe
1" dia. A325 threaded rod to go through

D2 column tie

 

Figure 3.3.2:  Transverse reinforcement layout for continuous reinforcement test frame 

 

3.4. Design of the Infill Wall Test Frame 

The infill wall test frame had the same reinforcement layout as the discontinuous 

reinforcement frame based on the 1971 ACI code.  The difference was that this frame 

would also have an infill or shear wall placed in it as shown in Figure 3.4.1.  The two top 

bays were filled with four rows of cinder blocks.  This replicates frames with windows or 

parking garages with short walls.  Each row had 14 cinder blocks that measured 4.5 in. 

long by 2.25 in. wide by 2.25 in. high (scaled down from typical cinder blocks of 16 in. 

by 8 in. by 8 in.).  Type S mortar was used with a compressive strength of 1,800 psi.  The 

walls were not grouted and the bed joints were approximately 0.25 in. thick. 
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4.5"

2.25"Cinder Block

 

Figure 3.4.1:  Test frame with infill wall 

 

3.5. Construction of the Reinforced Concrete Test Frames 

The first part of construction was making the formwork.  The idea was to have the 

formwork be reusable for multiple frames.  Therefore the formwork was designed so that 

it could be taken off without damaging the wood.  The formwork was made out of ¾ in. 

plywood, ½ in. plywood and 2 by 4’s.  It was constructed and labeled according to Figure 

3.5.1.  The construction of the formwork is shown in Figure 3.5.2, Figure 3.5.3, Figure 

3.5.4 and Figure 3.5.5. 
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floor.  These loads were perpendicular to the missing column and placed in the same 

plane as the other exterior columns.  After inputting the loads, the displacement at those 

two points were found and the desired stiffness could be calculated.  Based on this model, 

the stiffness of the outer columns were approximately 5000 kips/in.  This would correlate 

to a stiffness of 1250 kips/in for the quarter scale test frame.  Therefore, the reaction 

frame had to mimic the building by having a stiffness of 1250 kips/in. 

 

The reaction frame was designed to be bolted into the structural floor just like the column 

pedestals.  Using W shapes and tubes, the reaction frame was designed to have a stiffness 

of 1250 kips/in.  Each side of the reaction frame consisted of two W14x22’s that were 

welded together, an HSS4.5x4.5x5/16 tube, an HSS3.5x3.5x1/4 and a number of plates as 

shown in Figure 3.6.2.  The reaction frame was built so that it could be taken apart and 

put back together.  The tubes were welded to plates which bolted into the W shapes and 

the floor anchors as shown in Figure 3.6.3, Figure 3.6.4 and Figure 3.6.5.  The concrete 

test frame tied into the reaction frame using the #4 end-threaded bars sticking out.  Plates 

connected to extensions of the reaction frame were bolted onto the threaded bars as 

shown in Figure 3.6.6.  Included in each of these extensions was a hinge.  The point of 

the hinges was to protect the load cells (discussed later in this chapter).  They were 

located at the inflection point where a concrete beam (if there was one) would form a 

hinge. 
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In conjunction with the reaction frame were the pedestals for the outer columns.  The 

pedestals of the test frames represent the anchorage of the columns into the foundation 

and provide moment resistance at the base of the column.  The floor where the testing 

took place was a structural floor with bolt holes on a 4 ft. by 4 ft. grid.  Steel plates with 

tubes would connect the test frame to the structural floor as shown in Figure 3.6.7, Figure 

3.6.8 and Figure 3.6.9.  The concrete pedestals were bolted to the steel plates with 1 in. 

diameter threaded rods that went through the PCP pipes.  The threaded rods screwed into 

the plate and a nut was used to tie down the pedestals.  The steel plates were bolted down 

into the structural floor using 3.5 in. diameter threaded rods.  Nuts were twisted until they 

were tight against the pipes that were welded to the plates.  The HSS4x4x1/4 tubes 

welded on the sides of the plate were there for extra support. 
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1.0"
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4" outer dia.,
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6" long pipe
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1" dia. threaded hole
(11" long, 1" dia. A325

threaded rod to go through)

 

Figure 3.6.7:  Design of anchors for the pedestals 
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shafts as the frame was pushed down as shown in Figure 3.6.13 and Figure 3.6.14.  These 

shafts were bolted to W4x13’s which were welded to out-of-plane frames.  These frames 

were made of HSS6x2x1/4 tubing and welded to plates which were connected to 

anchored W sections. 
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Figure 3.6.10:  Design of the collar for the center column 
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Figure 3.6.11:  Details of the collar 
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Figure 3.6.12:  Details of the linear ball bearings 
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extension was a swivel head had a plate at the bottom with four holes.  The concrete 

frame was connected by threaded rods through these holes as shown in Figure 3.6.15.  

Plates were underneath the top beams for the threaded rods to bolt through.  Nuts at each 

end of the threaded rods were used to tighten the connection as shown in Figure 3.6.16. 
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Figure 3.6.15:  Design of the connection to the actuator 
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were 21 strain gages used in this test frame.  The naming system was the same for this 

frame. 

 

B - Bottom Beam T - Top Beam
P - Positive Rebar N - Negative Rebar

BP1 BP2
BP3 BP4

BP5

BN1

BN2 BN3 BN4BN6

TP1 TP2 TP3

TN1
TN2

BN5

Both on
Longer Bars

1 #2 bar

2 #2 bars

2 #2 bars

2 #2 bars

2 #2 bars

2 #2 bars

3'

3'

6' 6'

8"

21.5"

12"

58"

2'-6"

9"

6"

3 #3 bars3 #3 bars

3 #3 bars3 #3 bars

 

Figure 3.7.2:  Strain gage layout for test frames with discontinuous reinforcement 
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Figure 3.7.3:  Strain gage layout for test frame with continuous reinforcement 

 

Two Interface 1200 Standard Load Cells were connected to one side of the reaction frame 

using threaded rods as shown in Figure 3.7.4 and Figure 3.7.5.  The loads cells were 

connected to the concrete frame by an extension made of W4x13’s.  At the end of these 

extensions were welded plates that were bolted to the concrete through the #4 end-

threaded bars sticking.  These load cells would measure the horizontal reaction force 

caused by compressive arch and catenary tension. 
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3.8. Material Properties 

Material properties were determined according to ASTM (American Society of Testing 

and Materials) standards.  Compression tests for the concrete cylinders (Table 3.8.1) were 

performed according to ASTM C39.  The concrete’s specified strength was 4000 psi.  

Due to variations in concrete batch and time of testing, the actual cylinder strength varied 

from 3417 psi to 6283 psi.  The tension tests for the reinforcing bars (Table 3.8.2 and 

Table 3.8.3) were performed according to ASTM A370.  Examples of these reinforcing 

bar tension tests are shown in Figure 3.8.1 and Figure 3.8.2.  The specified yield point of 

the #3 column bars was 60,000 psi or 6,600 lbs.  Due to variations in steel quality, the 

actual tensile strength of the #3 bars varied from 6,251 lbs to 6,587 lbs.  The specified 

ultimate tensile strength of the #2 beam bars was 90,000 psi or 4,500 lbs.  The loss of a 

well defined yield plateau was due to the #2 bars being cold drawn.  The actual tensile 

strength of the #2 bars varied from 4,639 lbs to 4,848 lbs.  All of these results were 

within acceptable ranges.  The #2 bars were heat treated so that they had a similar 

ductility as larger reinforcing bars.  The approximate Young’s Modulus was calculated to 

be 17,500 ksi for the #2 bars and 13,300 ksi for the #3 bars.  The elongation at break of 

the #2 bars was 2.55 and 2.73 for the #3 bars. 
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Table 3.8.1:  Concrete cylinder compression tests 

Cylinder 
Applied Load  

(lbs) 
Strength 
(psi) 

Discontinuous 
Frame 

1  53970  4295 

2  56760  4517 

3  54900  4369 

4  54240  4316 

5  53320  4243 

6  58920  4689 

Average  4405 

Continuous 
Frame 

1  45930  3655 

2  42945  3417 

3  45420  3614 

4  45855  3649 

5  46005  3661 

6  46620  3710 

Average  3618 

Infill Wall 
Frame 

1  74160  5901 

2  78960  6283 

3  78420  6240 

4  76080  6054 

5  71940  5725 

6  75495  6008 

Average  6035 

 

 

Table 3.8.2:  Column #3 bar tension tests 

Column #3 
Bar 

Yield Point (lbs) 
Ultimate Load 

(lbs) 

1  6251  10579 

2  6504  10844 

3  6587  10863 

4  6446  10759 

5  6262  10610 

Average  6410  10731 
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Figure 3.8.1:  Stress vs. strain graph for column #3 bar 

 

Table 3.8.3:  Beam #2 bar tension tests 

Beam #2 
Bar 

Yield Point 
(lbs) 

Ultimate Load 
(lbs) 

Discontinuous 
Frame  

1  4116  4817 

2  4125  4796 

3  4028  4660 

4  4045  4664 

5  4123  4836 

Average  4087.4  4754.6 

Continuous 
Frame 

1  4166  4848 

2  4117  4731 

3  4283  4736 

4  4160  4793 

5  4111  4749 

Average  4167.4  4771.4 

Infill Wall 
Frame 

1  4036  4666 

2  4041  4728 

3  4027  4639 

4  4189  4844 

5  4090  4780 

Average  4076.6  4731.4 
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Figure 3.8.2:  Stress vs. strain graph for beam #2 bar 

 

The rest of the material property tests were related to the infill wall.  The mortar cubes 

compression tests (Table 3.8.4) were performed according to ASTM C109.  The single 

prisms compression tests (Table 3.8.5) and the dual-layer prisms compression tests 

(Table 3.8.6) were performed according to ASTM C1314.  The stacked prisms flexural 

four-point bending tests (Table 3.8.7) were performed according to ASTM E518.  The 

stacked prism flexural tests give an indication of the tensile strength of the mortar joints.  

Based on the tests, the average tensile strength of the mortar joints was 189 psi.  All of 

these results were within acceptable ranges. 
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Table 3.8.4:  Mortar cubes compression tests 

Mortar Cubes Compression 

Specimen  Applied Load (lbs) 
Compressive Strength 

(psi) 

1  5045  1261 

2  3030  758 

3  3645  911 

4  2100  525 

Average  864 

*Cross Sectional Area = 4 in2 

 

Table 3.8.5:  Single prisms compression tests 

Single Prisms Compression 

Specimen  Applied Load (lbs) 
Compressive 
Strength (psi) 

Failure Mode 

1  8625  1356  Semi Conical Break 

2  21480  3377  Conical Break 

3  14850  2335  Conical Break 

4  18895  2971  Conical Break 

Average  2510    

*Cross Sectional Area =  6.36 in2 

 

Table 3.8.6:  Dual-layer prisms compression tests 

Dual‐Layer Prisms Compression 

Specimen  Applied Load (lbs) 
Compressive 
Strength (psi) 

Failure Mode 

1  18375  2889  Conical Break 

2  9705  1526  Cone and Shear Break 

3  15835  2490  Cone and Split Break 

4  16755  2634  Conical Break 

5  17850  2807  Conical Break 

Average  2469    

*Cross Sectional Area =  6.36 in2 
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Table 3.8.7:  Stacked prisms flexural tests 

Stacked Prisms Flexural 

Specimen Ultimate Load (psi) 

1  232.6  

2  166.5  

3  167.2  

Average  188.8  
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4. TEST RESULTS 

 

The three tests (discontinuous reinforcement frame, continuous reinforcement frame and 

infill wall frame) will be shown and the results will be presented in this chapter.  

Furthermore, this chapter will discuss and compare the results of the three tests. 

 

4.1. Discontinuous Reinforcement Frame 

The control frame was based on the 1971 ACI code and thus had discontinuous 

reinforcement throughout the beams.  Once the frame was set in place and ready to be 

tested, the actuator applied load to the center of the frame over the location of the lost 

column.  Due to a technical error, the first 12 in. of displacement was loaded at a rate of 3 

in/sec.  The remaining part was tested at a rate of 1/300 in/sec and then 1/120 in/sec.  

Upon loading, the frame initially responded in an elastic manner.  At a load of around 

200 to 250 lbs, cracks began to form at the locations of discontinuous reinforcement 

(Figure 4.1.2).  As the load increased, the cracks widened and hinges began to form as 

shown in Figure 4.1.3.  The ultimate failure point was when the negative moment bars 

tore out of the last stirrup as shown in Figure 4.1.4. 
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Figure 4.1.12 shows the vertical load vs. displacement graph.  From this graph, one can 

see the compressive arch action, the catenary action, and where the top bars tore out of 

the stirrups.  Despite having only 237 lbs in load capacity according to flexural beam 

theory (based on the cracking moment of the beams), the frame was able to reach 2.34 

kips in compressive arch action.  As stated before, this strength comes from the 

compression arch effect as the beam blocks try to rotate.  The high stresses at the end 

corners of the beam blocks eventually caused the concrete to crush and lose the 

compressive arch resistance.  After the compressive arch phase, the frame continued to 

deflect with little increase of load until about 6.70 in. of displacement.  Once this 

displacement was reached, any further deflections caused tensile strains in the beam 

blocks and catenary action began.  At the end of the catenary action phase, the frame was 

able to reach a maximum load of 8.19 kips.  At this level of load, the negative moment 

reinforcement tore out of the stirrups.  The stirrups, as described earlier, were lapped 90 

degrees at the top and were pulled out by the longitudinal bars. 
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Figure 4.1.12:  Vertical load vs. displacement graph 
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Figure 4.1.13:  Load cell vs. displacement graph 
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Figure 4.1.14:  LVDT vs. vertical displacement graph 
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Figure 4.1.15:  Strain gages in negative moment region of top beam 
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Figure 4.1.16:  Strain gages in positive moment region of top beam 
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Figure 4.1.17:  Strain gages in negative moment region of bottom beam 
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Figure 4.1.18:  Strain gages in positive moment region of bottom beam 
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Figure 4.2.13 shows the vertical load vs. displacement graph.  From this graph, one can 

see the flexural action (combined with the compressive arch action of the beam), the 

catenary action, and the ultimate failure when all of the bars in one area had fractured.  

According to plastic flexural theory, the frame would be able to carry a load of 4.7 kips 

when the hinges develop.  During testing, the frame was able to reach 5.81 kips before 

formation of hinges, indicating that there may have been some contribution from 

compressive arch action.  Once hinges formed, the frame continued to deflect with little 

increase of load until about 7.60 in. of displacement.  Once this displacement was 

reached, the rotational capacity of the hinges was exhausted and the tensile reinforcement 

fractured.  After fracture of the reinforcement, the frame was still able to carry load via 

catenary action.  At the end of the catenary action phase, the frame was able to reach a 

maximum load of 8.30 kips.  At this level of load, all the bars at one location had 

completely fractured. 

 

 

Figure 4.2.13:  Vertical load vs. displacement graph 
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Horizontal load data was also recorded at the ends of the beams.  The top load cell 

reached a maximum tensile load of 12.49 kips during the catenary action phase while the 

bottom load cell only reached 5.95 kips (Figure 4.2.14).  In the compressive arch phase, 

the bottom load cell experienced a compressive load of 1.94 kips while the top load cell 

experienced only 0.97 kips. 

 

 

Figure 4.2.14:  Load cell vs. displacement graph 
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the tension phase.  The LVDT was moved at about 14 in. of vertical displacement in 

order to give a deflection reading for the bottom LVDT. 

 

 

 

Figure 4.2.15:  LVDT vs. vertical displacement graph 
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column while the strain in the negative moment bars increased towards the middle 

column which was also expected.  Only the negative moment steel was continuous in 

through the middle column, so it had to carry the entire catenary tension load.  Only the 

positive moment steel was continuous at the outer columns, so the catenary tension load 

was transferred from the negative moment steel to the positive moment steel and then 

into the columns.  This transfer is clearly indicated by the slopes of the strain readings.  

The middle of the positive moment bars reached a stress of 38.5 ksi (TP2) which 

translated to 5.8 kips of load as compared to the 12.49 kips felt by the top load cell.  The 

ends of the negative moment bars also reached a stress of 50.8 ksi (BN1) which translated 

to 10.2 kips of load as compared to the 5.95 kips felt by the bottom load cell. 
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Figure 4.2.16:  Strain gages in negative moment region of top beam 
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Figure 4.2.17:  Strain gages in positive moment region of top beam 
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Figure 4.2.18:  Strain gages in negative moment region of bottom beam 
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Figure 4.2.19:  Strain gages in positive moment region of bottom beam 
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the compressive arch phase, the frame continued to deflect with little increase of load 

until about 5.76 in. of displacement.  Once this displacement was reached, any further 

deflections caused tensile strains in the beam blocks and catenary action began.  At the 

end of the catenary action phase, the frame was able to reach a maximum load of 7.42 

kips.  At this level of load, the negative moment reinforcement tore out of the stirrups. 

 

 

Figure 4.3.17:  Vertical load vs. displacement graph 

 

Horizontal load data was also recorded at the ends of the beams.  The top load cell 

reached a maximum tensile load of 12.25 kips at the end of the catenary action phase 

while the bottom load cell only reached 1.09 kips (Figure 4.3.18).  The lack of tensile 

load in the bottom load cell may be due to insufficient tightening of the connections 

before the test.  In the compressive arch action phase, the bottom load cell experienced a 

compressive load of 3.16 kips while the top load cell experienced only 1.94 kips. 
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Figure 4.3.18:  Load cell vs. displacement graph 

 

Horizontal displacement data was recorded through LVDT’s (Linear Variable 

Differential Transformers) at the ends of the beams. The top LVDT reached a maximum 

tensile displacement of 0.52 in. while the bottom LVDT only reached 0.28 in. (Figure 

4.3.19).  This was much higher than expected and was probably due to slop in the 

connections to the reaction frame.  In the compressive arch phase, the top LVDT 

experienced a maximum compressive displacement of 0.159 in. while the bottom LVDT 

experienced only 0.089 in.  The diagonal LVDT reached a compressive load of 1.71 in. 

before it ran out of displacement (Figure 4.3.20). 
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Figure 4.3.19:  LVDT vs. vertical displacement graph 

 

 

Figure 4.3.20: Diagonal LVDT vs. vertical displacement graph 
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Besides the previous data, there was data from the 16 strain gages throughout two of the 

beams.  The following graphs (Figure 4.3.21 through Figure 4.3.24) have strain points for 

each gage that didn’t malfunction.  The green dots represent the strain at the peak 

compressive arch action load (2.87 kips).  The blue dots represent the strain at the peak 

catenary action or ultimate load (7.42 kips).  At the peak compressive arch load, the strain 

in the positive moment bars increased towards the middle column while the strain in the 

negative moment bars increased towards the outer column which was expected.  At the 

peak catenary action load, the highest strains for the negative moment bars were at the 

ends of the beams and the highest for the positive moment bars were at the middle of the 

beams which was also expected.  The middle of the positive moment bars reached a stress 

of 16.8 ksi (BP2) which translated to 2.5 kips of load as compared to the 1.09 kips felt by 

the bottom load cell.  The ends of the negative moment bars reached a stress of 36.8 ksi 

(TN2) which translated to 7.4 kips of load as compared to the 12.25 kips felt by the top 

load cell. 
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Figure 4.3.21:  Strain gages in negative moment region of top beam 
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Figure 4.3.22:  Strain gages in positive moment region of top beam 

Compressive Arch Action 
Catenary Action 

Compressive Arch Action 
Catenary Action 



114 
 

0.005

0.004

0.003

0.002

0.001

-0.001

-0.002

-0.003

0.000

S
tr

a
in

 (
in

/in
)

10 20 30 40 50 60

Distance from Center of Missing Column (in)
Missing Column Existing Column

CL CL

BN 1 BN 2

BN 6

BN 4BN 3

BN 5

BN 6

-0.004

BN 6

BN 1
BN 4/BN 5

70

BN 4/BN 5

 

Figure 4.3.23:  Strain gages in negative moment region of bottom beam 
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Figure 4.3.24:  Strain gages in positive moment region of bottom beam 
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4.4. Combined Results and Discussion 

Figure 4.4.1 shows the vertical load vs. displacement graph for all three tests.  The 

continuous reinforcement frame had a higher load carrying capacity at low deflections 

(less than 6”) due to flexural action that was about twice as much as the other two frames.  

This higher strength before the catenary action phase may be enough to resist collapse if 

that was all that it needed.  Also, the continuous reinforcement frame retained its load 

carrying capacity for the longest displacement illustrating the ductility of the flexural 

action.  Finally, the continuous reinforcement frame was able to reach the highest load of 

8.30 kips during catenary action, but this was not much more than the 8.19 kips from the 

discontinuous reinforcement frame.  Adding continuous reinforcement did not increase 

capacity in the catenary action phase.  This is because the continuous reinforcement 

fractured due to limited rotational ductility of the hinge regions.  The infill wall frame 

had a higher deflection at ultimate failure than the other two frames.  This may be due the 

decreased stiffness from the horizontal support (bottom load cell did not experience high 

tension in catenary action phase) or the presence of the infill wall may have delayed the 

secondary hinge formation changing the deflected shape of the beam. 

 

Looking at the area under the MTS load graphs, which is the strain (kinetic) energy 

dissipated by the frames, the continuous reinforcement frame was able to dissipate the 

most energy at 70.99 kips*in and thus provided better collapse resistance.  The 

discontinuous reinforced frame (40.13 kips*in) and the infill wall frame (40.87 kips*in) 

dissipated just over half of that.  All of the critical values from the MTS load, load cell 

and LVDT graphs are summarized in Table 4.4.1, Table 4.4.2 and Table 4.4.3. 
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Figure 4.4.1:  Combined vertical load vs. displacement graph 

 

Figure 4.4.2 and Figure 4.4.3 show the horizontal load data from all three tests.  As can 

be seen in the graphs, the axial load behavior for all three tests is similar, with the 

exception of the bottom load cell in the infill frame test.  Furthermore, the infill wall 

frame experienced a higher compressive load for both the top and bottom load cells due 

to a slightly increased compressive arch effect.  The continuous reinforcement frame and 

the infill wall frame had almost the same maximum tensile load for the top while the 

discontinuous reinforcement frame was about 3 kips lower.   The difference in the values 

may be simply due to minor differences in the connection tightness or specimen 

properties.   
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Figure 4.4.2:  Combined top load cell vs. displacement graph 

 

Figure 4.4.3:  Combined bottom load cell vs. displacement graph 
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Figure 4.4.4 and Figure 4.4.5 show the horizontal displacement data from all three tests.  

Again the displacement data for all three tests is similar.  The infill wall frame 

experienced a higher compressive displacement in the top LVDT, but the discontinuous 

reinforcement frame experienced a higher compressive displacement in the bottom 

LVDT.  All of the maximum top LVDT values were within 0.04 in. of each other with 

the continuous reinforcement frame exhibiting the most horizontal displacement.  In the 

bottom LVDT’s, two of the frames had the same lateral displacement, but the continuous 

reinforcement frame had the most displacement. 

 

 

Figure 4.4.4:  Combined top LVDT vs. vertical displacement graph 

‐0.2

‐0.1

0

0.1

0.2

0.3

0.4

0.5

0.6

0 5 10 15 20

LV
D
T 
(i
n
)

Vertical Displacement (in)

Top LVDT

Discontinuous Frame

Continuous Frame

Infill Wall Frame



119 
 

 

Figure 4.4.5:  Combined bottom LVDT vs. vertical displacement graph 

 

Table 4.4.1:  Combined MTS load results 

 

Peak 
Catenary 
MTS Load 
(kips) 

Peak 
Compressive 
Arch MTS Load 

(kips) 

End of 
Compressive 
Arch Phase (in) 

Discontinuous 
Frame 

8.19  2.34  6.70 

Continuous 
Frame 

8.30  5.81  7.60 

Infill Wall 
Frame 

7.42  2.87  5.76 
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Table 4.4.2:  Combined load cell results 

 

Top Load Cell 
Peak Tensile 
Load (kips) 

Top Load Cell 
Peak 

Compressive 
Load (kips) 

Bottom Load 
Cell Peak 

Tensile Load 
(kips) 

Bottom Load Cell 
Peak 

Compressive 
Load (kips) 

Discontinuous 
Frame 

9.23  0  7.64  2.30 

Continuous 
Frame 

12.49  0.97  5.95  1.94 

Infill Wall 
Frame 

12.25  1.94  1.09  3.16 

 

 

Table 4.4.3:  Combined LVDT results 

 

Top LVDT 
Peak Tensile 
Disp (in) 

Top LVDT Peak 
Compressive Disp 

(in) 

Bottom LVDT 
Peak Tensile 
Disp (in) 

Bottom LVDT 
Peak 

Compressive Disp 
(in) 

Discontinuous 
Frame 

0.54  0.127  0.28  0.104 

Continuous 
Frame 

0.56  0.078  0.35  0.088 

Infill Wall 
Frame 

0.52  0.159  0.28  0.089 

 

 

As stated before, there were 16 strain gages in both the discontinuous reinforcement and 

infill wall frames, and there were 21 gages in the continuous reinforcement frame.  Table 

4.4.4 shows the peak forces determined from the strain readings developed in the 

reinforcing bars at peak catenary action.  With a ultimate tensile strength of 90 ksi, the 

force at fracture for two reinforcing bars is 9 kips, which is comparable to the force 

derived from the strain readings when the two negative moment bars fractured at the end 

of the catenary action phase of the continuous frame test.  The forces in the negative 
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moment bars at the end of the catenary phase for the discontinuous and infill frame test 

were only 6.7 and 7.4 kips.  This indicates that the bars were nearing fracture load when 

they tore out of the stirrups.  Furthermore, in the discontinuous frame there is a high 

tensile load also in the positive moment bars.  This indicates that the tensile load from the 

catenary action is fully transferred from the negative moment to the positive moment 

bars. 

 

Table 4.4.4:  Combined strain gage results 

 

Tensile Load 
of Middle 

Positive Bars 
at Peak 
Catenary 
(kips) 

Tensile Load 
of End 

Negative Bars 
at Peak 
Catenary 
(kips) 

Discontinuous 
Frame 

8.5  6.7 

Continuous 
Frame 

5.8  10.2 

Infill Wall 
Frame 

2.5  7.4 
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5. CONCLUSION 

 

As stated above, the main objective of this research is to better understand the collapse 

resistance mechanisms of reinforced concrete buildings and determine their capacities.    

The alternative collapse resisting mechanisms that were evaluated in this research 

included catenary action, compressive arch action, and contributions from infill walls.  

By better understanding the effects of these various resistance mechanisms, we can move 

closer to the ultimate goal of creating a set of guidelines on how to best resist progressive 

collapse. 

 

Although flexural theory would predict that the frame with discontinuous reinforcement 

had little load carrying capacity (moment capacity of hinge regions only due to cracking 

moment), the discontinuous reinforcement frame was able to reach a load of 2.34 kips 

under compressive arch action and 8.19 kips under catenary tension.  The significant 

increase in capacity alone is a reason to consider these resistance mechanisms in collapse 

design. 

  

The frame with continuous reinforcement reached a load of 5.81 kips under the flexural 

action (combined with compressive arch action) and 8.30 kips under catenary tension.  

The resistance under flexural action (along with compressive arch action) for a 

continuously reinforced frame may be sufficient to resist collapse.  However, that 

resistance comes with a limited ductility.  The hinge regions on the continuous 

reinforcement frame exhausted their rotational ductility at about 6 in. of displacement and 
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the reinforcement fractured.  However, even after reinforcement fracture, the frame was 

able to carry 8.30 kips of load in catenary tension, which is slightly higher to the load 

carried by the frame with discontinuous reinforcement.  Therefore, continuous 

reinforcement in a frame may not be effective in resisting collapse if the force and 

deformation demands cause fracture of the reinforcement.  However, the frame still has 

significant capacity under catenary tension.  

 

The frame with the infill wall reached a load of 2.87 kips under compressive arch action 

and 7.42 kips under catenary tension.  The compressive arch action load is slightly higher 

than the frame with discontinuous reinforcement.  This indicates that the infill wall may 

have contributed to the resistance of the frame, but the weak mortar joints in the non-

grouted wall fractured and caused the wall to break up rather than contributing 

significantly to the compressive arch action.  If the infill wall was composed of grouted 

or reinforced cells, had a higher strength mortar, or was the full height of the wall, the 

contribution from the infill could be much more significant.  Although the infill wall 

frame was 23 % more effective in the compressive arch phase than the discontinuous 

reinforcement frame, it performed worse in the catenary action phase.  Because the 

frames were of the same design and the infill wall was mostly destroyed before catenary 

tension, the difference in the results is likely due to minor differences in the connection of 

the frame to the test setup, material properties, or locations of hinges. 

 

In order to compare the results of the frames to the requirements of the United Facilities 

Criteria (UFC) and other test data, it is necessary to scale up the results to the full scale 
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frame.  In order to adjust the point load to represent an equivalent uniform load, the point 

load was divided by the combined length of the four beams (24 ft.) and multiplied by a 

factor of two to match the same area under the moment diagram as the distributed load 

(Figure 5.1).  Since these test frames were quarter scale models, the distributed load was 

multiplied by a scale factor of four to give a peak catenary action load of 2.73 kips/ft for 

the discontinuous reinforcement frame and 2.76 kips/ft for the continuous reinforcement 

frame.  Doing the same for the compressive arch action load gives 0.78 kips/ft for the 

discontinuous reinforcement frame and 1.93 kips/ft for the continuous reinforcement 

frame for flexural action. 

 

 

Figure 5.1:  Moment diagram for frame 
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According to the DoD document Design of Buildings to Resist Progressive Collapse 

(2009), the increased load of the adjacent bays due to immediate removal of a column 

creates a uniform load along the beams of 2.36 kips/ft.  The capacities reached by the test 

frames in catenary tension were 2.76 kips/ft.  This indicates that the frame would be able 

to survive a collapse. 

 

As stated before, Orton (2007) performed similar tests for two half scale beams of nearly 

the same design.  The continuous reinforcement beam reached approximately 1.3 kips/ft 

of load scaled to full size beams in flexural action.  The discontinuous reinforced beam 

reached a load of 1.8 kips/ft in catenary tension.  These loads are less than the loads 

reached in the frame tests.  The difference may be due to the different test setups and 

scales or the presence of a second beam in the frame test.  Yi and Kunnath (2008) also 

performed a similar test on a four bay by three story continuous reinforcement one-third 

scale frame.  This frame reached a maximum load of approximately 2.03 kips/ft in 

catenary tension. 

 

The conclusions drawn from the results of this research are: 

 The implementation of continuous reinforcement throughout beams can greatly 

enhance the flexural action resistance over discontinuous reinforcement.  

However, the increased flexural resistance has a limited ductility due to the 

limited ductility of the hinge regions.  Once this ductility is reached, the frame 

essentially behaves like a discontinuously reinforced frame.  Therefore, 

continuous reinforcement may improve the collapse resistance of a frame, but if 
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the collapse loads are high, it will not exhibit a significantly better resistance than 

a discontinuously reinforced frame.  Therefore, current ACI provisions that 

require continuous reinforcement in perimeter beams are not sufficient to resist 

progressive collapse of the frame. 

 The specimen with partial height infill walls did not perform significantly better 

than the specimen without it.  Therefore, partial height non-grouted walls may not 

be significant in increasing the collapse resistance of a frame. 

 Both compressive arch and catenary action are viable resistance mechanisms in 

frames under a collapse loading.  Compressive arch action in a discontinuous 

frame was only able to provide 40 % of the strength of the flexural action in a 

continuously reinforced frame, while catenary tension was able to provide 

approximately the same amount of the strength for both.  Therefore, if methods 

are developed to determine these capacities, they can be incorporated into design 

guidelines and could reduce the required sizes and reinforcement of structural 

members. 

 

The test results and conclusions highlight the need for the following future research that 

can be performed in this field: 

 More tests need to be done on the same frame designs as were in this research in 

order to verify the results.  One test per frame design does not guarantee accurate 

results. 

 Tests need to be performed on frames that combine continuous reinforcement and 

infill walls to determine how effective they can be together. 
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 Tests need to be performed on frames with infill walls of different heights and 

reinforcement to determine how much this affects the compressive arch action 

capacity. 

 Dynamic tests need to be performed to replicate the actual loading conditions 

under collapse and compared with the static tests’ results. 

 Tests need to be performed on full scale frames in order to get more accurate 

results.  When testing scaled down models, it is impossible to tell how much 

scaling affects the performance. 

 Tests need to be conducted that include a reinforced concrete slab to compare to 

those without a slab. 

 Analysis methods need to be developed to predict the capacities of compressive 

arch action and catenary tension. 
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